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ABSTRACT 
 

     Performance based design has become essential in order to improve structure 
behavior and life cycle cost. The tool for achieving such a design in steel frames is the 
advanced analysis. With the advanced analysis the designer avoids the drawbacks of 
the K-factor design in addition to achieving more reliable and economic design. The 
only difficulty encountered in advanced analysis is the excessive computation effort; 
nevertheless, this problem has remarkably been eased in the practical advanced 
analysis. 
     This presentation outlines the method of practical advanced analysis and it 
demonstrates the application of the method for the assessment of steel frame 
performance under fire and earthquakes. Under fire, the analysis results in predictions 
of the critical load factor, critical temperature, under which a frame may collapse, along 
with the fire duration and deformability of the frame. Under earthquakes the analysis 
achieves both "performance-based design" and "structure fuse concept". Performance-
based design is for various levels of performance of structural and non-structural 
components. Structure fuse concept has been adopted for controlled failure or 
excessive deformations at preselected locations. This approach will promote 
maintaining the life-safety of structures, repair of major ruined structures with least cost.  
 
 
1. INTRODUCTION 
 
     Although the service-operational and ultimate-strength limit states design 
methods are mainly employed in almost common steel design codes all over the 
world, the performance-based design is considered a multilevel design approach 
that has explicit concern for the performance of a building at intermediate limit 
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states associated with urgent issues such as occupancy and life-safety criteria. 
Performance-based design alludes to the design method in which a group of 
performance objectives is applied to demonstrate the structural design criteria. 
These performance objectives are declarations illustrating the predicted 
performance of a structure under the environmental conditions such as fire, and 
earthquakes. Performance of structures may be evaluated by employing the results 
of analysis such as drift correlations or strength and ductility demand of separate 
members of the structure. When exposed to fire or earthquakes, structures could 
be designed via performance-based approach encompassing the benefits of more 
possibilities for innovation, superior levels of safety, and greater expense efficiency 
in construction. 
     In AISC-LRFD specifications [AISC, 2001, 2005 & 2010], a first-order elastic 
analysis with amplification factors or a direct second-order elastic analysis is 
recommended for analyzing steel frames. The members are isolated from a structural 
system and are designed by strength curves and interaction equations which include 
the effects of geometric and material nonlinearities such as second order effects, initial 
geometric imperfections, and gradual yielding due to flexural and residual stresses. 
     Although steel structures have been designed by using the AISC-LRFD, allowable 
stress design (ASD) and Plastic Design (PD) methods for many years, the member 
capacity checks are tedious and the determination of effective length factors are 
complex and often lead to confusion and misunderstanding. Also, since the AISC-LRFD, 
ASD and PD methods are member-based design approaches, inelastic member forces 
will not be redistributed and the actual structural behavior, such as failure mode and 
overstrength factor, cannot be predicted [Chen and Kim, 1997]. Therefore, these 
conventional methods cannot be used for performance-based fire resistance design or 
seismic design. Practical advanced analysis is used to predict the critical temperature 
and the time period between the start of a fire in a steel frame and its eventual collapse 
in addition to its deformability. For the case of earthquakes, practical advanced analysis 
can achieve both "performance-based design" and "structure fuse concept". 
Performance-based design is for various levels of performance of structural and non-
structural components. Structure fuse concept has been adopted for controlled failure 
or excessive deformations at preselected locations. This approach will promote 
maintaining the life-safety of structures, repair of major ruined structures with least 
cost.  
     In this study, two-dimensional steel building frames are considered. Compact 
wide-flange section members are used so that the full plastic moment capacity can be 
developed without local buckling. It is assumed that lateral torsional buckling of all 
members is prevented by adequate lateral bracings. 
 
 
2. PRACTICAL ADVANCED ANALYSIS 

 
     2.1 Introduction 
     Advanced Analysis designates any method that can sufficiently capture the limit 
state strength and stability of a structural system and its individual members so that 
separate member checks encompassed by the specification equations are not required. 



  

This is because advanced analysis accounts for material and geometric nonlinearities 
directly [Kim and Chen, 1996]. The main distinction between advanced analysis and 
conventional methods is that advanced analysis can predict the structural system 
strength, whereas others can predict only the member strengths. Advanced analysis 
uses a format associated with the structural system rather than individual members. By 
integrating analysis and design, and with the rapid development of computer hardware 
and software, it is expected that the use of advanced analysis will simplify the design 
process considerably. In addition, advanced analysis can account for inelastic 
redistribution of internal forces after the strengths of certain members are reached. 
Moreover, it enables engineers to predict all possible failure modes of a structural 
system subjected to various load combinations. 
     Advanced analysis such as the plastic zone analysis, may not be used in 
daily engineering design because it is too intensive in computation. In order to 
perform simplified advanced analysis, some simplifications should be made to the 
Advanced Analysis methods to account for the stability second-order effects, 
residual stresses, initial member imperfection, inelasticity, and joint flexibility. In the 
following, simplified concepts are introduced and formulated to account for the 
aforementioned parameters in order to achieve a practical advanced analysis. 
 

2.2 Stability Functions Accounting for Second Order Geometric Effects 

     To capture second-order (large displacement) effects, stability functions are 
recommended since they lead to large savings in modeling and solution efforts by using 
two elements per member. The simplified stability functions reported by Chen and Lui 
[Chen and Lui, 1992] are used. Considering the prismatic beam-column element shown 
in Fig. 1, the incremental force-displacement relationship of this element may be written 
as: 

 

Fig. 1 Force-displacement relationship of a beam-column element. 
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where  𝑆1 , 𝑆2 are the stability functions, Ṁ𝐴 , Ṁ𝐵 are the incremental end moments, 

Ṗ is the incremental axial force, 𝛳𝐴̇, 𝛳𝐵
̇  are the incremental joint rotations, ė is the 

incremental axial displacement, A is the area, I is the moment of inertia, L is the length 
of beam-column element; and E is the modulus of elasticity.  
     In this formulation, all members are assumed to be adequately braced to prevent 



  

out-of-plane buckling and their cross-sections are compact to avoid local buckling.  
The stability functions for in-plane bending of a prismatic beam-column are: 

 

𝑆1 =
𝑘𝐿 𝑠𝑖𝑛 𝑘𝐿 − (𝑘𝐿)2 𝑐𝑜𝑠 𝑘𝐿

2 − 2 𝑐𝑜𝑠 𝑘𝐿 − 𝑘𝐿 𝑠𝑖𝑛 𝑘𝐿
                                          (2a) 

 

𝑆2 =
(𝑘𝐿)2 − 𝑘𝐿 𝑠𝑖𝑛 𝑘𝐿

2 − 2 𝑐𝑜𝑠 𝑘𝐿 − 𝑘𝐿 𝑠𝑖𝑛 𝑘𝐿
                                          (2b) 

where    
 

𝑘2 = 𝑃
𝐸𝐼⁄                                                                 (3) 

 

where 𝑃 is the axial force and 𝐸𝐼 is the flexural rigidity. If the axial force is zero 𝑆1 = 4  

and  𝑆2 = 2. 
 
     2.3 CRC Tangent Modulus Accounting For Residual Stresses 
     The Column Research Council (CRC) tangent modulus concept is employed to 
account for the gradual yielding effect of residual stresses along the length of members 
under axial loads between two plastic hinges [Chen and Lui, 1992]. In this concept, for 
convenience, the elastic modulus E, instead of moment of inertia I, is reduced to 
account for the reduction of the elastic portion of the cross-section. As a result, this 
simplification makes the present methods practical. The CRC tangent modulus, Et, is 
written as [Chen and Lui, 1992]: 
 

𝐸𝑡 = 1.0𝐸                              𝑓𝑜𝑟       𝑃 ≤ 0.5𝑃𝑦                    (4a) 

 

𝐸𝑡 = 4
𝑃

𝑃𝑦
𝐸 (1 −

𝑃

𝑃𝑦
)                     𝑓𝑜𝑟       𝑃 > 0.5𝑃𝑦                    (4b) 

 
where 𝑃𝑦 is the squash load. The rate of reduction in stiffness between weak and 

strong axes is different, but this is not considered here because rapid degradation in 
stiffness in the weak-axis strength is compensated well by the stronger weak-axis 
plastic strength [Chen and Kim, 1997]. 
 
     2.4 Two-Surface Stiffness Degradation Model Associated with Flexure 
     The tangent modulus model is suitable for the member subjected to axial force, 
but not sufficient for cases with small axial forces and large bending moments. A 
gradual stiffness degradation model of the plastic hinge is required to represent the 
partial plastification effects associated with bending actions. Therefore, the work-
hardening plastic-hinge model is introduced to represent the gradual transition from 
elastic stiffness to zero stiffness associated with a fully developed plastic hinge.  
     A parabolic model simulating the gradual degradation of the element stiffness due 
to the plastification of the steel section is used. In this approach, the element stiffness is 
assumed to degrade parabolically after the element end forces exceed a defined initial 
yield function [Chen and Kim, 1997]. When the plastic hinge is reached, the plastic 



  

hinge is modeled as a true hinge with an applied moment, Mpc. The element tangent 
stiffness is then adjusted to account for the presence of the plastic hinge. 
     When the hardening plastic hinges are present at both ends of an element, the 
incremental force-displacement relationship may be expressed as [Liew et al., 1993a]: 

 

[
Ṁ𝐴

Ṁ𝐵

Ṗ

] =
𝐸𝑡𝐼

𝐿

[
 
 
 
 
 
 𝜂𝐴 [𝑆1 −

 𝑆2
2

𝑆1

(1 − 𝜂𝐵)]
 

𝜂𝐴𝜂𝐵𝑆2 0

𝜂𝐴𝜂𝐵𝑆2 𝜂𝐵 [𝑆1 −
 𝑆2

2

𝑆1

(1 − 𝜂𝐴)]
 

0

0 0
𝐴

𝐼 ]
 
 
 
 
 
 

[
𝛳𝐴̇

𝛳𝐵̇

ė

]   (5) 

 

where  Ṁ𝐴 ,Ṁ𝐵 , Ṗ, 𝑆1 , 𝑆2  and 𝐸𝑡  are as defined before; and 𝜂𝐴  and 𝜂𝐵  are the 
element stiffness parameters.  

     The parameter  𝜂  represents a gradual stiffness reduction associated with 
flexure at the member ends. The partial plastification through cross-sections at the end 

of elements is denoted by 0.0 < 𝜂 < 1.0. This term is equal to 1.0 when the element is 
elastic and zero when a plastic hinge is formed at a member end. The parameter 𝜂 is 
assumed to vary according to the parabolic expression (Fig. 2): 

 

Fig. 2 Parabolic plastic-hinge stiffness degradation function based on the load and 
resistance factor design sectional strength equation [Chen and Kim, 1997]. 

 

𝜂 =   1.0                                   𝑓𝑜𝑟     𝛼 ≤ 0.5                     (6a) 
 

𝜂 = 4𝛼(1 − 𝛼)                             𝑓𝑜𝑟      𝛼 > 0.5                    (6b) 
 

where α  is the force-state parameter obtained from the limit state surface 
corresponding to the element end. 
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where P, M are the second-order axial force and bending moment at the cross-section, 
Py is the squash load; and MP is the plastic moment capacity. 
     Initial yielding is assumed to occur based on a yield surface that has the same 

shape as the plastic-strength surface and with the force-state parameter at 𝛼 = 0.5. 
The plastic-strength surface and initial yield surface with  𝛼 = 0.5  are shown in Fig. 3. 
If the forces change so that the force point moves inside or along the initial yield 
surface, the element is assumed to remain fully elastic with no stiffness reduction. If the 
force point moves beyond the initial yield surface, the element stiffness is reduced to 
account for the effect of plastification at the element end. 

 

Fig. 3 Smooth stiffness degradation for a work-hardening plastic hinge based on the 
LRFD sectional strength equation [Chen and Kim, 1997]. 

 
     2.5 Geometric Imperfections 
     In order to account for the two types of initial geometric imperfections for steel 
members; out-of-straightness and out-of-plumbness, the further reduced tangent 
modulus concept is adopted since it satisfies one of the requirements for advanced 
analysis recommended by the SSRC task force report [SSRC, 1993], that is, “The 
geometric imperfections should be accommodated implicitly within the element model 
[Chen and Kim, 1997]. The method also overcomes the drawbacks of the other two 
methods; the explicit imperfection modeling method and the equivalent notional load 
method, because it eliminates the inconvenience of both methods. Another benefit of 
this method is that it does not require the determination of the direction of geometric 
imperfections, often difficult to determine in a large system, which is not the case of the 
other two methods [Chen and Kim, 1997].  
    The further reduced tangent modulus method: for braced frames, the idea of this 
concept is to further reduce the tangent modulus, Et in order to account for further 
stiffness degradation due to geometrical imperfections as follows [Kim, 1996 & Kim and 
Chen, 1996]: 



  

 
𝐸𝑡

′ = 𝐸𝜉𝑖                            𝑓𝑜𝑟  𝑃 ≤ 0.5𝑃𝑦                 (8a) 
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where 𝐸𝑡
′ is the reduced 𝐸𝑡; and 𝜉𝑖 is the reduction factor for geometric imperfection. 

Herein, a reduction factor (𝜉𝑖) of 0.85 is used, the further reduced tangent modulus 
curves for the CRC Et with geometric imperfections are shown in Fig. 4. 

 

Fig. 4 The further reduced CRC tangent modulus of members [Chen and Kim, 1997]. 
 
     For unbraced frames, the concept of the further reduced tangent modulus may 
also be used in the analysis of unbraced frames. Herein, as in the braced frame case, 
an appropriate reduction factor of 0.85 to Et can be used [Kim and Chen, 1995&1996c]. 
 
 
3. VERIFICATION – VOGEL'S SIX-STORY FRAME 
 
     The frame consists of hot-rolled members and it has the configuration, load 
condition, geometric imperfections and member sections shown in Fig. 5a. Based on 
ECCS recommendations [ECCS, 1991], the maximum compressive residual stress is 
0.3Fy when the ratio of depth to width (d/b) is greater than 1.2, and is 0.5Fy otherwise. 
The geometric imperfections are Lc/450. Vogel developed the load-displacement 
relationships of the six-story frame using the plastic-zone analysis [Vogel, 1985]. 
     The further reduced tangent modulus is equivalent to the geometric imperfection 
of Lc/500. Thus, the geometric imperfection of Lc/4500 is additionally modeled in the 
further reduced tangent modulus method, where Lc/4500 is the difference between the 
Vogel’s geometric imperfection of (Lc/450) and the proposed geometric imperfection of 
(Lc/500).  
     The load-displacement curves from the proposed methods, the further reduced 
tangent modulus concept, the explicit imperfection modeling method and the equivalent 
notional load method, together with the Vogel’s plastic-zone analysis are compared in 



  

Fig. 5b. In the figure, the load factor is the ratio between the collapse loads to the 
applied loads. The errors in strength prediction by the proposed methods are less than 
1%. The explicit imperfection modeling and the equivalent notional load methods under 
predict the lateral displacements by 3%, and the further reduced tangent modulus 
method shows a good agreement in displacement with Vogel’s exact solution. 

 
(a) 

 
(b) 

Fig. 5 Vogel's six-story frame; (a) Configurations, loads and imperfections [Vogel, 1985]; 
and (b) Comparison of results. 

 
 
4. DESIGN FOR FIRE-RESISTANCE 
 
     4.1 Overview 
     The mechanical material properties, including the modulus of elasticity (E), yield 
stress (Fy), and tensile strength (Fu), are temperature dependent. For structural steel, 
the variation in these material properties under fire are given by the AISC-LRFD 
manual [AISC, 2010] and shown in Fig. 6. The effective value of the yield stress is the 
most important factor affecting structural behavior subjected to fire [Talamona et al., 
1997]. In general, structural steel will lose part of its strength and stiffness at elevated 
temperatures. As a result, a structure under high temperature may collapse or lose its 
stability at the same load level that would be safe if no fire was introduced [Hwa, 2003]. 

 

Fig. 6 Effect of elevated temperature on yield strength (Fy) and modulus of elasticity (E) 



  

of structural steel [AISC, 2010]. 
     Conventionally, fire resistance design of steel structures is conducted by testing a 
critical member heated by a standard fire, provided by fire design codes such as ASTM 
E119. The standard fire curve defined in ASTM E119 [ASTM, 1998] is shown in Fig. 7. 
The time-temperature curve is achieved by controlling the rate of fuel supply or fire 
loading. However, it has been found that a steel member in a structural system 
subjected to a natural or real fire performs much better than if subjected to a standard 
fire [Bailey et al., 1999] and the fire resistance design of a steel frame based on current 
fire codes is quite conservative [Chen and Hwa, 2004]. The intensity and duration of a 
natural fire in a building compartment are governed by many factors, including the 
amount of combustible materials, the area of windows and doors, and the thermal 
characteristics of the structural members. Although the natural fire curve represents the 
real time-temperature relationship of a structure under fire, it varies greatly for different 
fire events and structures. Therefore, it is difficult to derive the appropriate natural fire 
curves in practical fire resistance design of steel structures [Chen and Hwa, 2004]. 

 

Fig. 7 Time-temperature curve of standard fire [ASTM, 1998]. 
 
     In performance-based design for fire resistance, an important issue is to predict 
how long a steel frame will remain intact under severe fire. Delaying the collapse of the 
building, especially for high-rise buildings, means more occupants and firefighters can 
escape. Since advanced analysis is a structure-based approach, it can predict the 
failure modes corresponding to possible load conditions, including fire. If the time-
temperature relationship is specified, the temperature and time of the building collapse 
can be predicted. These predictions could be made for the performance-based design 
of tall buildings as well as for existing buildings, and stored in fire department 
computers to allow strategic decision making while fire-fighting [Chen and Hwa, 2004]. 
 
     4.2 Basic Assumptions 
     The following assumptions are employed for fire resistance design [Hwa, 2003]:  

1. Uniform heating along the members and across the sections is assumed.  
2. Local buckling and out-of-plane deformation of each member are prevented.   
3. Plastic hinges form at element ends only.  
4. When a section is at an elevated temperature (under fire), the residual stress will 

be gradually relieved. Residual stress is a function of temperature [Chan and Chui, 
1997] and its pattern may change due to thermal effects [Skinner, 1976]. In this 
study, the ratio of the tangent modulus, which accounts for the effects of residual 
stresses, to the effective modulus of elasticity at an elevated temperature, is 



  

assumed to follow Eq. (4).  
5. The behavior of a steel frame considering a selected collapse temperature is 

independent of one using another chosen collapse temperature. In other word, 
yield stress and modulus of elasticity, corresponding to the selected collapse 
temperature, remain constant during an analysis cycle. 

6. Fireproofing and sprinkler systems are not included.  
7. Time-temperature curve of standard fire curve as described by ASTM E119 is 

used to predict the time before the structure collapse. 
 

4.3 Analysis Procedure 
     In the analysis, the behavior of a structure subjected to fire should be based on its 
deformed configuration under service loads. Although the loading on the structure may 
vary during fire due to variables such as escaping occupants and other factors, the 
specified ultimate loads are used in the analysis. The procedures to predict the critical 
temperature using advanced analysis are summarized in the flowchart shown in Fig. 8. 
The time, corresponding to the collapse temperature of the steel frame, can be 
identified from the standard time-temperature curve shown in Fig. 7. 

 

Fig. 8 Analysis procedure for the determination of fire resistance duration of steel 



  

frames [Hwa, 2003]. 
     4.4 Multi-Story Frame Example 
     The multi-story steel frame shown in Fig. 9 has been chosen as an example to 
predict the time before collapse under fire [Hwa, 2003]. The multi-story frame was 
solved under four different cases: (1) loads (gravity and lateral loads) only, (2) fire in 1st 
story and loads, (3) fire in 3rd story and loads, and (4) fire in 6th story and loads. 
Analysis will show that fire changes the structure behavior. The lateral service wind 
loads are 10.22kN at each floor level and 5.11kN at the roof level. The gravity service 
dead and live loads on the roof are 16.0kN/m. and 12.32kN/m, respectively, and on 
each floor are 16.0kN/m and 40.16kN/m, respectively. 
     According to the ASCE/SEI 7-10 [ASCE 7, 2010], the factored load combination is:  

 
1.2 D + 1.0 W + 1.0 L                                              (9) 

 
where D is the dead load (the weight of the structural elements and the permanent 
features on the structure), L is the live load (occupancy and movable equipment); and 
W is the wind load. 

 

Fig. 9 Configuration and load condition of the multi-story frame under fire [Hwa, 2003]. 
 
     Before considering the effects of fire on the specified members, the deformed 
shape of the steel frame due to the application of external service loads must be 
determined. The advanced analysis applied to this example adopts the further reduced 
tangent modulus approach. The yield stress and modulus of elasticity of the elements 
that are exposed to fire are varied based on the temperature-yield stress and 
temperature-modulus of elasticity relationship shown in Fig. 6. Applying the Practical 
Advanced Analysis Program (PAAP) and the trial and error process, we can obtain the 
critical temperature of the steel frame corresponding to an overstrength factor equal to 
one [Hwa, 2003]. The time before the collapse of the structure is then determined if the 
time-temperature curve of the standard fire shown in Fig. 7 is applied. 



  

 
(a) Loads-case 1 

 
(b) 1st story-case 2 

 
(c) Fire in 3rd story-case 3 

 
(d) Fire in 6th story-case 4 

Fig. 10 Load-horizontal displacement relationship of the multi-story frame in Fig. 9 due 
to loads and different cases of fire; the hinge numbering indicates the sequence of 

plastic hinge formation. 
 
     The failure mode of the structure under loads only (without considering fire) is 
different from the mode of the structure under fire because the members subjected to 
fire become weaker. The results of analysis due to loads only, Fig. 10a, indicate the 
sequence of plastic hinges formation up to failure along with the load factor-horizontal 
displacement of different floors. The overstrength load factor is close to 2.9. 
     The obtained results from the analysis due to fire in addition to the applied loads 
are illustrated in Figs. 10b to 10d for the three cases of fire, the first story, the third story, 
and the roof. The figures indicate the overstrength load factor along with the horizontal 
displacement at the different floors, in addition to the critical temperature and survival 
time. From the obtained results, fire in the roof is the most critical case, for this example, 
then fire in the first story. For the three cases, the overstrength load factor was slightly 
greater than 1.0. 
     For the different cases of analysis, Fig. 11 shows the horizontal displacement of 
the first floor and the roof versus the load factor. From the results, it is obvious how fire 
drastically reduces the frame strength.  In addition, the ductility of the first floor or roof 
is severely jeopardized as a result of fire in certain floors. 



  

 
(a) 

 
(b) 

Fig. 11 Comparison between lateral displacements of the first floor and the roof of the 
multi-story frame in Fig. 9 for different cases of analysis: (a) first floor; and (b) roof. 

 
 
5. STRUCTURE FUSE CONCEPT IN SEISMIC DESIGN 

 
     5.1 Structure Fuse Concept 
     Structure fuse concept has been developed for controlled failure or excessive 
deformations at preselected locations. This type of design will help in maintaining the 
life safety and in the repair of major structures with least cost and quick recovery for 
business after earthquake, Fig. 12. In this design frame elements "fuses" that will yield 
in an earthquake are chosen; e.g., beams in moment resisting frames, braces in 
concentrically braced frames. Frame elements are designed to be stronger than the 
fuses; i.e., all other frame elements are designed to develop the plastic capacity of the 
fuses [FEMA 273, 1997]. 

 

Fig. 12 Special truss moment frame, an example of structural fuse concept in which 
plastic hinges serving as structural fuses are developed at preselected locations [Chen, 

2008]. 
 
     To achieve the required performance with adequate safety and economy, 
advanced analytical procedures are necessary for such an evaluation process. 
Advanced analysis can directly address the overall system response including second-



  

order effects, gradual yielding, inelastic force redistribution and semi-rigid connections. 
The advanced analysis can provide much needed structural information with regard to 
collapse mechanism, sequence and locations of plastic hinges formation, overstrength 
factor, and excessive deformation demands. Thus, the advanced analysis can address 
the seismic design very well by providing answers to the critical questions [Chen, 2008]. 
In advanced analysis, the structure is loaded with a predetermined lateral load pattern 
and is pushed statically. The corresponding deflection can be determined and 
compared to the target displacement at which performance of the structure is evaluated 
[Hwa, 2003]. 
 
     5.2 Performance-Based Seismic Design 
     Serviceability drift limits are generally taken as a measure of a building's 
performance at corresponding load levels. There are four building performance levels 
described in [FEMA 273, 1997]: (1) Operational Level; (2) Immediate-Occupancy Level; 
(3) Life-Safety Level; and (4) Collapse-Prevention Level. Most buildings are able to 
meet or exceed the Operational Level under very low levels of ground shaking. 
Nevertheless, it is not economically practical to design a structure based on this kind of 
performance under severe ground motion levels caused by earthquakes. Immediate-
Occupancy level refers to a very limited structural damage that would occur during an 
earthquake and minor repairs would not be required prior to re-occupancy. For this 
level, the building and its elements retain nearly all of their pre-earthquake stiffness and 
strength. Life-Safety level means that significant damage has occurred to the structure 
after an earthquake. Although structural elements and components may be severely 
damaged, it will not result in large falling debris hazards. Injuries may occur due to the 
result of structural damage, but the overall risk of life is very low. Collapse-Prevention 
level means the building is on the edge of partial or total collapse. The stiffness and 
strength of the lateral-force-resisting system decrease greatly and large permanent 
lateral deformations of the structure have occurred. The structure at this performance 
level may not be repaired and is not safe for re-occupancy.  
     Although the Operational Level is defined, its design criterion is not specified. The 
design criteria for other performance levels associated with lateral drifts at roof level are 
tabulated in Table 1 [FEMA 273, 1997]. 
 

Table 1 Design criteria for structural performance levels [FEMA 273, 1997] 
 

 
Structural system 

Ratio of lateral roof drift to building height 

Collapse Prevention  
(C-P) 

Life Safety  
(L-S) 

Immediate 
Occupancy (I-O) 

Steel moment frames 
(Unbraced frames) 

5 % 2.5 % 0.7 % 

Braced frames 
2 % 1.5 % 0.5 % 

 
     5.3 Analysis Procedure 
     The operation procedures of using the advanced analysis method to determine 
the pushover curve are summarized in the flow chart shown in Fig. 13. In the analysis, 
the static-equivalent loading consists of constant gravity loads and monotonically 



  

increasing lateral loads. To do this, the scaling number of lateral forces is chosen as a 
number that is 10 times larger than that of gravity loads [Hwa, 2003]. The scaling 
number for lateral loads is decreased at a constant rate until the structure fails. Once 
the pushover curve is obtained, the base shear corresponding to each performance 
level can be identified and the performance level of the structure under specified 
loading condition can be determined. 

 

Fig. 13 Flow chart of pushover analysis procedure for performance-based seismic 
design. 

 
     According to the AISC-Seismic Provisions for Structural Steel Building 
[ANSI/AISC 341, 1997 & 2010], the required strength of a connection or related 
member should be determined from the expected yield stress (Fye) of the connected 
member. 

 
𝐹𝑦𝑒 = 𝑅𝑦 𝐹𝑦                                                            (6.22) 

 



  

where 𝑅𝑦 = {

1.5       𝑓𝑜𝑟 𝐴𝑆𝑇𝑀 𝐴36 𝑠𝑡𝑒𝑒𝑙
           1.3       𝑓𝑜𝑟 𝐴𝑆𝑇𝑀 𝐴572 𝐺𝑟𝑎𝑑𝑒 42

  1.1      𝑓𝑜𝑟 𝑜𝑡ℎ𝑒𝑟 𝑠𝑡𝑒𝑒𝑙 𝑡𝑦𝑝𝑒𝑠
 

     5.4 Example of Performance-Based Seismic Design 
     The load conditions for a six-story two-bay steel frame located in New York, USA 
is shown in Fig. 14a with the member sizes given in table 2 for different design cases. 
The calculation of lateral seismic forces acting on this frame is based on the [ASCE 7-
10, 2010]. The constant gravity load intensities are applied on the roof and the floors 
beams, while the lateral seismic forces are incrementally applied at the roof and the 
floor levels. The relationship between the normalized base shear force (V/W) and the 
ratio of lateral roof drift to the building height for different designs of the frame for 
different designs are shown in Fig. 14b for both the yield stress (Fy) and the expected 
yield stress (Fye). 
 
Table 2 Member sizes of the six-story two-bay frame example in Fig. 16 for different 
design cases 
 

 
Design 
Case 

1-4 5-6 7-10 11-
12 

13-
15 

16-
17 

18 

1 HEB 
500 

HEB 
400 

HEB 
550 

HEB 
450 

IPE 
550 

IPE 
450 

IPE 
360 

2 HEB 
500 

HEB 
400 

HEB 
550 

HEB 
450 

IPE 
600 

IPE 
450 

IPE 
400 

3 HEB 
600 

HEB 
400 

HEB 
700 

HEB 
450 

IPE 
550 

IPE 
450 

IPE 
360 

4 HEB 
600 

HEB 
400 

HEB 
700 

HEB 
450 

IPE 
600 

IPE 
450 

IPE 
400 

5 HEB 
500 

HEB 
400 

HEB 
550 

HEB 
450 

IPE 
600 

IPE 
450 

IPE 
400 

 

 
(a) 

 
(b) 



  

Fig. 14  The six-story two-bay frame example: (a) frame and load condition; and (b) 
performance curves for different designs. 

     The normalized base shear force or the spectral response acceleration (Sa) 
associated with the performance levels of Immediate Occupancy (I-O) and Collapse of 
the structure can be identified from this figure for different designs of the steel frame. It 
can be obviously noticed that the cases of yield stress (Fy) can resist smaller base 
shear force or earthquake intensity than the cases of expected yield stress (Fye). The 
sequence and locations of plastic hinges formation for different designs are illustrated 
in Fig. 15 for both cases of yield stress (Fy) and expected yield stress (Fye). 

 Design 1 Design 2 Design 4 
 
 
 
 

Fy 

   
 
 
 
 
 

Fye 

   

Fig. 15  Location of plastic hinges formation at yield stress (Fy) and expected yield 
stress (Fye) in the six-story two-bay frame of Fig. 14a. 

 
 
6. CONCLUSIONS 

 
     Practical advanced analysis eliminates the drawbacks of the K-factor design, thus 
leading to more reliable and economic design. With this, material nonlinearity and 
stability factors are uniqely implemented in the analysis formulation for objective design. 



  

     With the aid of practical advanced analysis, it has become possible to examine 
and monitor the performance of steel frame structure under different environmental 
conditions such as fire and earthquakes. It is possible to predict the critical tempreture, 
under which a frame may collapse, along with the fire duration and deformability of the 
frame. Implementing practical advanced analysis approach enables structural 
engineers to employ the structure fuse concept in which the structure is designed for 
controlled failure or excessive deformations at preselected locations that help in 
maintaining the life safety and in the repair of damaged components of the structure 
with least cost.  
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